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Geotechnical engineers deal with some challenging problems when encountering 
long-term slope stability in overconsolidated clays and clayey shales. One of these 
problems is determining a suitable method to estimate the reliable shear strength of 
overconsolidated clayey soils for long-term slope stability. According to Eversol 
(2013), one half of the counties in Nebraska have experienced slope failure in 
overconsolidated soils, especially in north and east Nebraska. In this research, shear 
strength characteristics of overconsolidated clayey soils of Nebraska is investigated in 
regard to long-term stability of slopes, and the failure mechanism in such soils is 
examined.  
Undisturbed samples from boring logs from two different failure locations were 
taken. The research involved laboratory testing to compare and investigate the shear 
strength parameters of overconsolidated soils in undrained and drained conditions at 
high and low normal effective stress levels. Some issues that are addressed include:
 (i) the shear strength reduction due to low effective stress in adrained condition, (ii) 
the swelling behavior during consolidation and shearing stages of saturated 
overconsolidated soils in low effective confining stress, (iii) the suitable shear 
strength that helps to design/repair slopes in overconsolidated soils of Nebraska.  
One major finding of this research is that one of the main reasons for slope instability 
in overconsolidated clayey soils and shales in Nebraska is shear strength reduction. 
This strength reduction, which usually causes a progressive failure in 
overconsolidated soils in Nebraska, is due to swelling and softening; (2) the presence 
of expansive clay minerals in overconsolidated soils induced additional swelling in 
some areas reduces the shear strength of soils dramatically, especially at shallow 
depths; and (3) the laboratory results showed that the fully softened shear strength 
from a consolidated drained triaxial test may present a suitable shear strength for 
long-term slope stability in overconsolidated soils in Nebraska. 
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CHAPTER 1 
1 INTRODUCTION 
1.1 Statement of the problem 
Slope instability has brought a number of problems in Nebraska. According to Eversol 
(2013), about one half of the counties in Nebraska have experienced slope stability 
problems, especially north and east of Nebraska. These slope failures have caused a 
significant cost to repair and/or rebuild. For instance, the landslide on highway 14 near 
Niobrara River cost over $2 million to mitigate (Eversol, 2013).  
In addition to the significant cost to mitigate failed slopes, the slope failures have caused 
concerns to public safety and construction delay (Wold and Jochim 1989). To prevent 
these problems regarding slope instability, an accurate and reliable design should be 
conducted based on information about the slope condition such as the geometry, ground 
water level, shear strength of soil and soil properties, and soil stratigraphy. By nature, the 
geological information of the slopes is different from area to area. Therefore, localized 
information may need to be considered in the design and analysis of slopes.  
Slope failure is a complicated phenomenon, and usually it is not easy to determine a 
specific factor that causes the slope failure. The factors that may cause slope failure 
include, water and drainage, cut and fills, surcharge loads, weathering, seismic load, and 
geotechnical parameters such as the strength of the soil. Among the factors, shear 
strength of soils at critical conditions include the effect of many natural conditions such 
as drainage, inherent strength, stress history, and soil mineralogy. However, the 
evaluation method of shear strength at a critical condition is a delicate and challenging 
issue.  
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In this research the shear strength parameters of overconsolidated soils of Nebraska is 
investigated to propose a suitable method to assess the shear strength of overconsolidated 
soils for slope stability.  
1.2 Research objectives 
The main objective of this research is to investigate the shear strength parameters in 
regards to long-term stability of slopes in overconsolidated stiff clays of Nebraska. It 
contains the evaluation procedure and findings for the suitable shear strength of soils for 
designing and remediating slopes in the state. Major topics that addressed include:  
1) The shear strength reduction due to low effective overburden stress in saturated 
drained condition. 
2) Characterizing the swelling behavior of soils. 
3) Suitable shear strength that helps to design sustainable slopes in Nebraska.  
1.3 Organization of the thesis 
This thesis is divided in to five chapters to provide a comprehensive illustration of the 
conducted research. Chapter one is the introduction. Chapter two is a literature review 
relevant to the study. First, a review of the shear strength of soils is presented. Second, 
review of slope stability analysis in overconsolidated clays is presented.  
Chapter three includes the tests methodology. Detailed information regarding equipment, 
materials, and testing procedures is provided. Chapter four presents the test results and 
discussion about the conducted tests on overconsolidated soils of Nebraska. Failure 
mechanism of slopes in Nebraska is discussed in this chapter. Chapter five presents the 
conclusion of the research and suggestions for future study. Appendix shows a plotted 
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results of unconfined compression tests, triaxial tests, and XRD tests on overconsolidated 
soils of Nebraska. 
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CHAPTER 2 
2 LITERATURE REVIEW 
2.1 Introduction 
In this chapter a literature review about the shear strength of overconsolidated soils and 
its effect on slope stability is performed. Moreover, the effect of expansive clay minerals 
and swelling on the shear strength parameters of overconsolidated soils is reviewed. 
2.2 Shear strength of soils 
Shear strength of soils play a significant role in geotechnical engineering, especially in 
slope stability analysis. The most popular theorem about failure criteria and strength of 
soils is Mohr-Coulomb failure criteria (1910). It is essentially based on the relationship 
between shear stress and normal stress acting on the failure plane. The Mohr-Coulomb 
failure envelope has a relatively curved shape, but it is usually normalized on the linear 
equation: 
𝜏 = 𝑐 + 𝜎 × 𝑡𝑎𝑛(𝜙)                                                                       Equation 2.2.1 
where τ is shear strength, c is cohesion, ϕ is angle of internal friction, and σ is normal 
stress on the failure envelope. Figure 2.2.1 illustrated the schematic failure envelope. In 
saturated soils, shear strength of soils is better expressed as an effective stress. Therefore, 
Equation 2.2.1 is represented as follow: 
𝜏΄ = 𝑐΄ + 𝜎΄ × 𝑡𝑎𝑛(𝜙΄)                                                                   Equation 2.2.2 
where 𝜎΄ is effective normal stress and 𝑐΄ and 𝜙΄ are drained cohesion and internal 
friction angle, respectively. 
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Figure 2.2.1. Mohr-coulomb failure envelope 
(http://blog.geotechpedia.com/index.php/2013/05/the-mohr-coulomb-strength-criterion/, 
2017) 
 
Shear strength of soils are evaluated and measured from shear tests. The schematic results 
of behavior of normally consolidated and overconsolidated clays in drained conditions 
from the shear test are illustrated in Figure 2.2.2. As shown in the figure, the peak 
strength of overconsolidated clays is higher than that of normally consolidated clays. It is 
worth noting that, with increasing the shear displacement, the shear strength converges to 
an ultimate condition (residual strength) after reaching the peak strength. In this 
condition, the behavior of soil is called critical state condition (Atkinson, 1978). As 
shown in the figure, the ultimate residual strength of overconsolidated clays is 
approximately equal to normally consolidated clays for identical normal stress (Skempton 
1964). As illustrated in the figure, overconsolidated clays usually represent the peak 
strength at a low shear displacement. The tests were carried out under drained conditions 
without the development of pore water pressures to investigate the long-term stability of 
slopes.  
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Figure 2.2.2. Shear test result on clayey soils on drained condition (Skempton 1970) 
 
2.3 Slope stability analysis in overconsolidated clays 
Collin (1846) was a pioneer in slope stability analysis in clayey soils. Collin considered 
the influence of water as the most notable factor in stability analysis. Based on a Swedish 
technique (1936), the geometry of the failure line was assumed to be a part of a circle, 
and it was suitable for mathematical analysis (Fellenius 1936). In this method, it is 
assumed that 𝜙 = 0 at the time of failure. In the 𝜙 = 0 method, shear strength of a slope 
is considered to be a cohesion intercept, which again was regarded as undrained shear 
strength. However, Henkel and Skempton (1954) showed that the 𝜙 = 0 method may 
overestimate the strength of the overconsolidated clays and clay shales at the time of 
failure. Henkel and Skempton (1954) showed that the peak strength of overconsolidated 
clays is much higher than the actual strength of overconsolidated clay and clay shales at 
the time of failure for the first time sliding. Some researchers such as Bishop and Bjerrum 
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(1960), Skempton (1964), and Bishop (1966) support this idea that peak strength in 
overconsolidated clays from undrained tests for simulating the condition of slope failure 
right after construction or using peak strength of drained tests for replicating long-term 
conditions, leads to unconservative results based on other stability analysis according to 
limit equilibrium techniques. 
Terzaghi (1936) also investigated the slope stability analysis in overconsolidated clays 
and clayey shales, and proposed the concept that peak strength of highly 
overconsolidated clays may misrepresent the strength of soil at the time of failure. In the 
study, he classified the undisturbed clays to three major groups based on a significant 
factor in overconsolidated clays and clay shales with fissures and joints. The purpose of 
this classification was to find the rational shear strength of overconsolidated clays for 
stability analysis. The first group was soft intact clays, which are free from joints and 
fissures. This group mostly consists of normally or very slightly overconsolidated clays, 
which has a liquidity index of more than 0.5. According to Terzaghi’s laboratory test 
results, using the peak strength showed reliable results in terms of slope stability in these 
kinds of soils. The second group was stiff, intact clays that are free from joints and 
fissures. During that time, there was relatively limited experience about this group of 
soils because this formation is very rare. The third group was stiff fissured clays. This 
group belongs to highly overconsolidated clays with initial water content close to the 
plastic limit. Terzaghi (1936) believed that the strength of overconsolidated clays and 
clay shales at the time of failure is less than the peak strength because the lateral support 
decreases and the clay starts to expand laterally after cutting in clayey slopes after 
overburden is removed. Therefore, the fissures are opened up which makes a suitable 
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place for water to percolate and accumulate causing strength reduction in soil. This 
swelling makes the soil weaker and therefore new cracks are formed causing strength 
reduction in soil. This time-dependent strength reduction can finally cause failure in 
overconsolidated clays.  
The mechanism of softening in overconsolidated stiff clays and clay shales presented by 
Terzaghi (1936) was a key factor for researchers such as Skempton (1948), Henkel and 
Skempton (1956), Peterson et al. (1960), Skempton (1964), Burium (1966), Chandler 
(1984), and Burland (1990), so far to elucidate the importance of shear strength of 
overconsolidated clays at the time of failure and find a relationship between shear 
strength reported by laboratory test results and actual shear strength of overconsolidated 
clays at failure.  
Since the 1940s, intensive research, especially at Imperial College, was established to 
evaluate the strength of overconsolidated fissured clays at failure. Because the factor of 
safety is greater than unity, the condition that the slope should not fail is based on limit 
equilibrium techniques, while it is not satisfied in stiff fissured clays in embankments, 
excavations, and natural slopes.  
An important factor that should be considered here is that overconsolidated clays show 
dilatant behavior during the shearing process. This phenomenon can produce a high 
negative pore water pressure, which increases the undrained shear strength of clays. 
However, over a period, the pore pressure reaches the equilibrium. Ultimately, the excess 
pore pressures are dissipated, and the only pore pressure at the slip surface is the ground 
water condition.  
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Henkel and Skempton (1954) studied a massive landslide in Jackfield, England. The 
landslide caused a large movement in road, railway, and demolished houses in the 
adjacent area. The slope was around 750 ft long and 17 ft deep. The result from different 
bore logs indicated that the soil was classified as an inactive organic clay of law plasticity 
with initial water content close to the plastic limit. In addition, the sensitivity of the clay 
was slightly less than unity. Considering the limit equilibrium method, Henkel and 
Skempton (1954) calculated shear stress on the slip surface equal to 400 psf. The factor 
of safety based on laboratory test results on a sample from the slope according to the 𝜙 =
0 method and effective stress method was calculated. As shown in Figure 2.3.1, the shear 
strength from the undrained condition was much higher (1600 psf) than the back 
calculated shear strength from the limit equilibrium technique. As previously mentioned, 
this is a result of negative pore water pressure during the shear process. The factor of 
safety in the undrained condition was equal to 4. Therefore, they suggested that the 
undrained test results are not conservative to use for stability analysis for 
overconsolidated fissured clays. As shown in Figure 2.3.1, the drained strength of soil 
was 580 psf, and the calculated factor of safety was 1.45. Therefore, Henkel and 
Skempton (1954) believed that although, the drained shear strength might slightly 
overestimate the factor of safety, the calculated factor of safety based on drained shear 
strength was much less than the calculated factor of safety based on undrained shear 
strength. Finally, they assumed that in the drained condition, the cohesion intercept was 
equal to zero and the stability analysis was calculated only with the drained internal angle 
of friction. It is worth mentioning that the calculated factor of safety using the latter 
technique was surprisingly 1.07. Thus, Henkel and Skempton (1954) suggested that the 
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best option is to neglect the cohesion of the soils in the drained condition for preventing 
any overestimation in stability analysis of stiff fissured clays.  
 
Figure 2.3.1. Results from Henkel and Skempton with calculated factor of 
safty (FoS), (1954) 
 
 
Peterson et al. (1960) studied the stability analysis of cut slopes in both soft and stiff 
fissured clays in Canada. The results from the soft clays showed that both the cohesion 
intercept and internal friction angle should be considered in stability analysis. 
Furthermore, they found that it is not reliable in stability analysis to use the peak strength 
of undrained laboratory results in stiff fissured clays. The authors also suggested that, 
considering c΄=0 was expected to provide more accurate indications of slope stability 
using the effective stress method in stiff fissured clays. The results from Peterson et al. 
(1960) on soft clays were in agreement with the results by Skempton and Brown (1961). 
On the other side, the results from overconsolidated clays in River Lune Valley (England) 
from Skempton and Brown (1961) showed that the strength at failure was close to 
11 
 
undisturbed peak value. It might be because of the absence of any considerable softening, 
which is due to the absence of fissures in the clayey soils, which prohibited the slope to 
fail progressively. 
Skempton (1964) introduced the term “residual factor” to show the average strength of 
overconsolidated clays that had fallen to residual condition in a convenient quantitative 
expression, as shown in Equation 2.3.1. According to Skempton (1964): “in physical term 
residual factor is the portion of the total slip surface in the clay along which its strength 
has fallen to the residual value.” 
Equation 2.3.1 shows the residual factor: 
R=
𝑆𝑓−𝑆
𝑆𝑓−𝑆𝑟
                                                                                                 Equation 2.3.1 
where Sf is the peak strength, Sr is the denoted as residual strength and S is the average 
shear stress acting on the slip surface. Several different slopes were investigated and the 
residual factor was calculated for them. According to the results, R=1 was denoted to the 
slopes that have previously experienced failure, and the shear strength of them is in the 
residual strength condition. Skempton (1964) also mentioned that the tectonic movement 
might cause the residual strength condition on overconsolidated clays. Besides, R= 0 or 
the value close to zero was calculated for the slopes that consisted of stiff intact clays. 
However, for the slopes in overconsolidated fissured clays the residual factor was 
reported 0.5 to 1.0. This condition revealed that the shear resistance for stiff fissured 
clays is less than peak strength at the time of failure. The author suggested that the lower 
bound would be residual strength and the upper bound would be peak strength of the 
overconsolidated clays and clay shales in the progressive failure mechanism. Therefore, 
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the strength of the soil at the time of failure is a function of upper and lower bounds 
(However, this upper and lower bounds should not be confused with upper bound and 
lower bound theorem). Additionally, the reduced strength from peak to residual condition 
is because of a complete deterioration of soil cohesion. Skempton (1964) justified this 
strength reduction to several factors, such as increasing water content due to soil 
expansion during shearing, a change in clay particles’ orientation along the direction of 
slip surface, and the role of fissures in stress concentration, which promotes softening and 
results in progressive failure. In addition to this, the time between construction and 
failure in Skempton’s (1964) case studies showed relatively long periods. It can be 
concluded from the study that as the average shear stress needed for equilibrium 
decreases, the time for progressive failure may increase.  
Progressive failure in stiff clays and clay shales is an appreciably time dependent 
phenomenon which may require 80 years in some cases (Skempton 1977) for the 
strengths of stiff clays to decrease to their fully softened values. Skempton (1977) studied 
the progressive failure procedure in several cut slopes in Brown London clay, which had 
not undergone any previous slips. The back analysis technique was conducted to 
calculate the average shear strength and average normal effective pressure along slip 
surfaces for each slide. Comparing these results to laboratory results had shown that the 
shear strength parameter of the Brown London clay, in regards to first time slides, was 
close to fully softened shear strength. In addition, the residual strength of soils was much 
lower than the back calculated results and corresponded to the shear stress mobilized 
after failure, in which large displacements occurred. The term “first time slide” was 
designated to slopes that were not subjected to previous sliding (Skempton 1977).  
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Chandler (1984) categorized the landslides occurred in clay soils based on the plasticity 
index of clays. In this category, low plasticity clays had a plasticity index lower than 
25%. The results showed that this group of clays had shear resistance close to peak 
strength. However, higher plasticity clays demonstrated a shear strength less than peak 
and higher than residual strength, which means that the high plastic clays have shear 
resistance around fully softened shear strength.  
Mesri and Abdel-Ghaffar (1993) also compared the shear strength of soft and stiff clays. 
The authors considered stability of 35 different slopes in both soft and stiff clays. In this 
study, the back analysis technique was conducted to investigate the shear strength 
parameters for the first time initial failure. As shown in Equation 2.3.2, a reduction factor 
(η) was calculated based on back analysis technique to show the ratio between mobilized 
shear strength and peak shear strength. The research illustrated that the clays with low 
plasticity can show the mobilized shear resistance very close to peak strength. Besides, in 
overconsolidated clays with a plasticity index equal to 20% or lower, the shear strength 
might be slightly greater than fully softened shear resistance. These results were in 
agreement with Chandler (1984).  
  𝜂 =
𝑀𝑜𝑏𝑖𝑙𝑖𝑧𝑒𝑑 𝑠ℎ𝑒𝑎𝑟 𝑠𝑡𝑟𝑒𝑛𝑔𝑡ℎ
𝑃𝑒𝑎𝑘 𝑠ℎ𝑒𝑎𝑟 𝑠𝑡𝑟𝑒𝑛𝑔𝑡ℎ
                                                                   Equation 2.3.2 
 
Stark and Duncan (1991) in their research concluded that the mechanism of strength loss 
in stiff clays from peak to fully softened strength is a time dependent behavior. 
According to this study, if the soil is subjected to wetting for instance by intensive 
rainfall or soaking in water after a period of drying (seasonal change), there is a rapid 
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dramatic reduction in strength of stiff clays from peak to fully softened strength which 
may cause failure. Moreover, the authors suggested that cyclic loading could gradually 
reduce the fully softened strength of stiff clays to residual conditions. 
Based on the aforementioned literatures, the most important factors, which cause 
softening in the stiff fissured clays and clay shales, are fissures and presence of water. 
Pore water pressure reduces the effective stress, increases the width of the cracks, and 
causes the swelling that reduces the strength of soil and causes softening. Some 
researchers mentioned other factors that affect the degree of softening in stiff fissured 
clays. Stark and Eid (1997) studied the shear strength of overconsolidated clays for 
stability analysis of first time slides. The results showed that the degree of softening in 
stiff fissured clays is dependent to the type of minerals and size of particles. They 
concluded that, in overconsolidated stiff clays the shear strength might be lower than the 
average between fully softened and the residual shear strengths. This could be because of 
increasing water content, which causes a reduction in the strength of soil to a fully 
softened magnitude.  
One important factor that has to be considered in the stability of overconsolidated clays 
that may affect the fully softened shear strength is effective normal stress. Most of the 
literature that considers a correlation between the effect of the effective normal stress and 
fully softened shear strength developed a correlation for limited high effective normal 
stresses (Stark and Eid 1997). Recently Eid and Rabie (2017) studied the effect of normal 
effective stress on fully softened shear strength for stability analysis. In this study, a 
variety of effective normal stresses from 10 kPa to 400 kPa were conducted in 40 
different overconsolidated clays. The results showed that the fully softened shear strength 
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failure envelope is a curved line as shown in Figure 2.3.2. In addition, the results revealed 
that this non-linearity of the fully softened shear envelope is more represented at an 
effective strength less than 100 kPa. However, for the effective stresses more than 200 
kPa, the mentioned shear envelope is approximately a straight line. This range of 
effective normal stresses is occasionally the mobilized shear at first time slides. 
 
 
Figure 2.3.2. The relationships of the fully softened stress ratio and fully softened 
strength with the effective normal stress (Eid and Rabie 2017) 
 
2.4 Effect of expansive clay minerals on shear strength parameters of soils 
The swelling behavior of soils is dependent on the type and the amount of expansive 
minerals. The structure of clay minerals consists of two basic units, which are silica 
tetrahedron or silica sheet and alumina octahedron or alumina sheet (Das 2010). Among 
16 
 
clay minerals, the smectite group such as montmorillonite, beidellite, nontronite, and 
saponite usually shows higher swell behavior more than the other clay minerals (Mitchell 
and Soga, 2005). 
Montmorillonite is a well-known clay mineral, which has a 2:1 structure. In this structure, 
one alumina sheet is sandwiched by two silica sheets. Montmorillonite particles are 
smaller in comparison with other clay minerals such as kaolinite and therefore it has a 
higher specific surface area. As a result, it has higher water adsorption forces and tends to 
swell. When the water is absorbed into the 2:1 mineral layers, it forces the layers apart 
and the soil swells. This mineral has an expandable interlayer structure and a large 
specific surface area, which can absorb a high volume of water (Mitchell and Soga 2005). 
Therefore, if the swell pressure of the soil is high, it means that it may include portions of 
montmorillonite. The rate and the capacity of swelling are dependent on the percentage of 
this mineral. The swelling process in smectite groups is under the process of crystalline 
and osmotic swelling, which can change depending on the moisture content (Mitchell and 
Soga 2005).  
Crystalline swelling is a process in which water enters between the individual layers of 
2:1 molecules of expansive minerals (Laird 2006). The balance between the active forces 
of attraction and repulsion controls crystalline swelling (Norish 1954). The process of 
crystalline swelling starts with the hydration process when a dry expansive soil starts to 
absorb water. The electrostatic interaction of cations and layer surfaces to water pushes 
water molecules into the layers, which increases the spaces between the layers (Larid 
1996). 
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Osmotic swelling occurs after crystalline swelling at higher water content when the 
diffuse double layer is formed. In this process, water continues to move into the 
interlayers because of the suction pressure associated with the difference in ion 
concentration between interlayer water and inter-particle water (Jiang et al. 2014). The 
detailed swelling mechanism in expansive soils is out of the scope of this study. The 
effect of swelling minerals on shear strength of clayey soils are discussed below. 
Many researchers have studied the effect of expansive clay minerals on shear strength of 
soils, showing that the soils consisted of expansive minerals show drained shear strength 
lower than the soils that do not contain expansive minerals. Warkentin and Yong (1962) 
studied the drained shear strength behavior of clayey soils, which consisted of two types 
of montmorillonite and kaolinite. As shown in Figure 2.4.1, the sodium (Na) 
montmorillonite has a higher shear strength than calcium (Ca) montmorillonite at the 
same void ratio. According to Warkentin and Yong (1962), this behavior is because of 
the lower surface area of Ca- montmorillonite. Kaolinite clayey samples had a lower void 
ratio and showed lower swelling in comparison with montmorillonite clay. The result 
showed that kaolinite had a higher drained shear strength than montmorillonite. The 
authors showed that adding 1% montmorillonite to kaolinite samples reduced the shear 
strength of the mixture about 10%. This reduction of shear strength was because the 
montmorillonite particles changed the structure of kaolinite from flocculated to disperse 
at low PH condition. The montmorillonite particles, which had a smaller size, were 
attracted to the edge of the kaolinite particles (which had a larger size), neutralized the 
positive charge, and caused a disassociation of the kaolinite particles. 
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Figure 2.4.1. Measured shear strength of Na- and Ca-montmorillonite (Warkentin and 
Yong 1962) 
 
Morrow (1984) studied the shear strength of clayey soils from different places in 
California. The soils contained different minerals such as montmorillonite and kaolinite. 
The results showed that the samples consisted of montmorillonite had the lowest shear 
strength in comparison with other clayey soils. The shear strength of the montmorillonite 
was about one fourth of the samples consisting of kaolinite. 
Bhandary and Yatabe (2007) investigated the effect of expansive minerals such as 
montmorillonite on the shear strength of clayey soils and the stability of slopes in Japan. 
The results showed that, with increasing the clay fraction of soil, the angle of residual 
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friction was reduced. These results were in an agreement with the results of Park et al 
(1957).  
In some case studies from Bhandary and Yatabe (2007), for soils with low clay friction of 
about 10% to 30%, the average value of the residual angle of friction was low at about 10 
degrees. The X-ray diffraction analysis showed that these soils consisted of a portion of 
montmorillonite. As shown in Figure 2.4.2, the samples consisted of expansive clay 
minerals and had a lower peak effective friction angle. Moreover, the results showed that 
the internal friction angle decreased with increasing the value of the expansive minerals. 
According to Bhandary and Yatabe (2007), with increasing the ratio of expansive 
minerals to non-expansive minerals from 0.1 to 0.5, the friction angle decreased by 10 
degrees. Besides, the slopes that consisted of non-expansive minerals were more stable 
than slopes that consisted of swelling minerals.  
 
 
Figure 2.4.2. Comparison of angles of internal friction for the samples with and 
without expansive clay minerals (Bhandary and Yatabe 2007) 
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Song et al. (2013) studied the effect of expansive clay minerals on instability of I-walls in 
Louisiana. The X-ray diffraction analysis showed that the studied soil consisted of about 
10% expansive minerals. The results demonstrated that the undrained shear strength of 
soil decreased to about one fourth when the water artificially added to the samples. This 
significant reduction of shear strength was due to the expansive minerals that led to a 
high matric suction, and increased the shear resistance of soil during the dry seasons 
while during the wet seasons there was a sharp reduction on the shear strength of such 
soil. However, the samples consisting of kaolinite (non-expansive minerals) did not show 
this behavior. 
2.5 Effect of swelling on shear strength parameters of overconsolidated soils 
Expansive soils cause damages to structures in the presence of water. These materials 
tend to absorb water and swell. The swelling reduces the shear strength of soil by 
increasing the moisture content and changing the structure of soil. Therefore, the stability 
of a slope is dependent on the swell potential of soil. 
Terzaghi (1936) concluded that swelling reduced the strength parameters in 
overconsolidated stiff clays. According to this research, a slope becomes subjected to the 
expansion, and due to removal of the material, the swelling helps the joints open up. In 
case of heavy rainfalls, the water percolates in those opened cracks and accumulates 
there. The soil swells under the very low effective stress along the wall of the open cracks 
and it causes a reduction of the soil’s strength in that area. 
Chandler (1974) studied the effect of swelling on slope instability in overconsolidated 
clays. In this study, the rate of pore pressure equilibrium was noted as a main reason for 
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slope failure in overconsolidated clays. He concluded that rapid pore pressure equilibrium 
could speed up the swelling. However, the author could not clarify the effect of pore 
pressure change in swelling and slope failure.  
Chandler (1984) continued his investigation regarding the effect of the swelling in the 
strength of overconsolidated soils for first time slides. According to this study, the effect 
of swelling due to excavation on a slope is dependent on the pore water pressure change 
on the slope with time. In this case, the permeability of soils plays an important role in 
pore water pressure change in the soil. Chandler (1984) showed that the permeability of 
lightly overconsolidated clays is in a range of 6×10-6 m/sec to 6×10-9 m/sec, and the pore 
water pressure equilibrium may reach right after excavation or after a couple months of 
excavation. On the other side, heavily overconsolidated clays and clayey shales have in 
situ permeability less than 2×10-10 m/sec. Therefore, long-term equilibrium of pore water 
pressure may vary from a few years to many decades. Thus, in overconsolidated clays 
and shales, for shallow excavation work, swelling may be completed without any failure. 
However, deep excavation failure may occur even before a complete swelling.  
Calabresi and Scarpelli (1985) investigated the effect of swelling due to unloading in 
heavily overconsolidated medium (plasticity index about 20%) and high (plasticity index 
about 50%) plastic clays. One dimensional consolidation and consolidated undrained 
compression tests were conducted. The authors concluded that the soil swelled and 
showed relatively lower shear strength at low effective confining pressure. In addition, 
the swelling brought a reduction in cohesion due to an increase in the water content. 
Wong (1998) concluded that the shear strength parameters of shales might decrease at 
increased swell potential. According to his research, the swelling increases the void ratio 
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of shales that fills with water and reduces the shear strength of soils and causes softening 
in material, which swelled. 
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CHAPTER 3 
3 DESCRIPTION OF EQUIPMENT, MATERIAL, AND TESTING 
PROCEDURE 
3.1 Introduction 
The objective of this research is to investigate the shear strength of overconsolidated soils 
in Nebraska and the factors affecting the reduction of shear strength in these soils. The 
experimental work of this research involved the measurement of the shear strength for the 
soils in different states of triaxial test in terms of confined and unconfined conditions, or 
drained and undrained conditions. Through the thoughtful evaluation of the shear strength 
considering these factors, a better understanding of failure mechanisms in 
overconsolidated soils associated with the strength reduction of the soils was obtained. 
This chapter describes the materials used for the experimental component of the study, 
the experimental apparatus, and procedures adopted for laboratory experiments.  
3.2 Site location and investigation 
Three different sites were selected for sampling. The first boring log was drilled in a 
failed slope located at I-180 and Superior St. in Lincoln, NE. The slope was a cut slope 
on highway I-180. Site visitation was conducted on the slope to have a better 
understanding of the geometry of the slope (Figure 3.2.1). It seemed that there was a 
rotational movement in this slope, which started from the top and ended at the toe. 
Furthermore, several longitudinal cracks were observed around the top of the slope. The 
samples were taken from the top of the slide to have a close enough soil stratigraphy 
similar to that of the failed slope. The dominant formation of this area is usually a layer 
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of Peoria loess overlaid on the glacial till formation. Further, information regarding the 
slope’s material is discussed in the next sections.  
 
Figure 3.2.1. Failed slope at I-180 and Superior Street (2017) 
 
The second site was a failed slope near North-Loup, NE. This site was also a cut slope. In 
this site, the dominant material is usually loess. In this area usually the loess formation 
overlaid on top of the glacial till formation. The third site was Spencer slope, located in 
the northeastern part of the state approximately 0.2 miles north of Spencer dam. This area 
consisted of shale materials. The slope was considered for repairs during the research.  
Crack 
Crack 
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3.3 Drilling and sampling program 
Drilling and sampling were performed by the Nebraska Department of Transportation 
using hollow steam augurs and Shelby tubes (Figure 3.3.1). After reaching the desired 
depth, the Shelby tubes were used for taking undisturbed samples.  
 
 
Figure 3.3.1. Drilling tequipment (I-180 and Superior St.) 
 
For the I-180 and Superior St. failed slope, one boring log was considered at the top of 
the slope and six Shelby tube samples were taken from different depths on a range of 2.5 
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ft to 26.5 ft depths as shown in Table 3.3.1. In this research, the letters “IS” represent the 
samples from I-180 and Superior St. 
 
Table 3.3.1. Samples depth from boring log on failed slope at I-180 and Superior 
St. 
Sample ID Depth (ft) Formation 
IS-2.5 2.5-4 Peoria Loess 
IS-4.5 4.5-6 Peoria Loess 
IS-9.5 9.5-11.5 Peoria Loess 
IS-14.5 14.5-16.5 Glacial till 
IS-19.5 19.5-21.5 Glacial till 
IS-24.5 24.5-26.5 Glacial till 
 
There were two boring logs for the North-Loup project. As the boring logs were close to 
each other (about 3 ft distance), only one of them was selected for this study. Table 3.3.2 
shows the depth of the samples and the formation of the soils. In this research, letters 
“NL” represent the samples from North Loup. 
 
Table 3.3.2. Samples depth from boring log on failed slope at North-Loup 
Sample ID Depth (ft) Formation 
NL-4.5 4.5-6.0 Peoria Loess 
NL-14.5 14.5-16.5 Glacial till 
NL-19.5 19.5-21.5 Glacial till 
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3.4 Material properties and textures 
3.4.1 I-180 undisturbed samples 
The main stratigraphy of the soils from the I-180 and Superior bore logs showed the same 
trend of Nebraskan glacial till deposits. Glacial tills usually consist of a high amount of 
overconsolidated clay (because of high overburden pressure due to the weight of the ice 
sheets) mixed with silt, sand, gravel and boulders. Tills vary in color because the 
percentage of sand and silts are not constant. However, unweathered tills are usually dark 
gray in color. Glacial till deposits in Nebraska are covered by loess formations. Loess 
deposits cover approximately one-half of the state, that half being the eastern one. 
In the shallow depth, there was a layer of Peorian loess with a thickness of around 9 ft 
(IS-2.5 and IS-4.5). The soil consisted of mostly silt material with a mixture of clay and 
very fine sand. The trace of roots of plants and bushes was observed, especially in 
shallow depths in IS-2.5 (2.5-4ft). As shown in Figure 3.4.1, there were several cracks 
and fissures inside the sample, of which one was more significant and spanned the 
majority of the length of the Shelby tube. From the depth of around 9 to 12 ft, a layer of 
fine sand was observed (IS-9.5) along with some silty material. It was not possible to 
extrude the sample from the Shelby tube without crumbling. The sample from a depth of 
14.5-16.5 ft had a large amount of sand particles in it. The soil consisted of clay, silt, and 
sand materials. The size of the sand particles was bigger than those in the upper layers 
(IS-2.5 & IS-4.5), and it was distributed all around the sample. Random gravel particles 
with the size of about 8 mm to 12 mm were also seen. In this sample, some roots of plant 
and twigs were observed (Figure 3.4.2). Natural fissures and cracks were seen during the 
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sample trimming. It made sample trimming very difficult. In some parts of the sample, a 
brittle clump of sand particles that easily crumbled was observed. 
 
 
Figure 3.4.1. Cracks and fissures inside the Shelby tube (IS-2.5) form shalow depth (I-
180 and Superior St.) 
 
Figure 3.4.2. Non uniformity and cracks in Sample IS-14.5 (I-180 and Superior St.) 
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3.4.2 North-Loup undisturbed samples 
For this project, based on the available size of the sample and the CPT test results in the 
field, three Shelby tubes from different depths were selected for testing. The first sample 
was chosen from shallow depth (4.5 ft to 6.5 ft) and named NL-4.5. It was a clayey sand 
(SC) with very fine sand particles. The sample was very delicate material in terms of 
difficulty in sample preparation procedure. The soil was moist with initial water content 
at 23.5%. The sample from a deeper depth was NL-14.5 from 14.5 to16.5 ft. The soil was 
sandy silty clay (CL-ML) with an initial moisture content of 19.9%. As shown in  
Figure 3.4.3, there were some openings and cracks on the sample. The tube was cut to a 
smaller length to facilitate the sample extrusion due to difficulties in extruding it from the 
Shelby tube. Some pieces of chalk were observed inside the sample. 
 
 
Figure 3.4.3. Cracks on sample NL-14.5 
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The next sample from 19.5 ft to 21.5 ft depth was named NL-19.5. The soil was lean clay 
with a good amount of very fine sand. However, the soil consisted of some silt material 
as well. Random gravel particles with a size of around 4 mm were also seen. The initial 
moisture content varied from 25.8% to 31.2%. At the increased depth, the initial water 
content increased. In the middle of the layer, the color of the soil became darker.  
3.4.3 Spencer samples 
The samples from this failed slope consisted of shale and highly overconsolidated clayey 
materials. Generally, the soil was weathered, and cracks and fissures were seen on it. The 
material was relatively dark and very hard to trim. Due to many cracks and openings, it 
was challenging to prepare a specimen from these materials, especially in shallow depth 
that was more weathered (Figure 3.4.4). Therefore, in this study, the samples in the site 
were not used for strength tests such as the triaxial and the unconfined compression test, 
but for only swelling tests.  
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Figure 3.4.4. Cracks and fissures on samples from Spencer slope 
 
3.5 Testing procedure 
3.5.1 Water contents 
The natural water content of each sample was determined based on ASTM-D2216. In 
addition, the water content of samples was measured after the triaxial tests.  
3.5.2 Atterberg limits 
The liquid limit, plastic limit, and plasticity index of samples from each Shelby were 
determined based on ASTM-D4318.  
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3.5.3 Unconfined compression tests 
Unconfined compression tests were conducted based on ASTM-D2166. This test 
provides shear strength parameters of soil with rapid loading and without pore pressure 
dissipation.  
3.5.3.1 Apparatus 
An automated apparatus from the GeoJac (Sigma-1 5K) system was used to conduct the 
unconfined compression test. The machine consisted of a load frame (Servo3613), 
computer (HP Desktop Tower 251-a244), power supply (GeoTac-110Vac), and network 
module (NMC-285). The load frame had a capacity of 2000 pounds and a 1.5-inch stroke. 
A vertical load cell with a capacity of 500 pounds was connected to the piston. There was 
a vertical deformation sensor inside the machine, which could measure the vertical 
movement with the accuracy of 1×10-4 in. 
3.5.4 Swell pressure tests 
To investigate the swell pressure of undisturbed samples, the swell pressure test based on 
ASTM-D4546 was conducted on samples. In this test method, an intact sample was 
prepared in the consolidation ring with the dimension of 1 × 2.5 inches. Then the sample 
and ring were placed inside the consolidation cell with porous stones on the top and 
bottom. The sample was inundated with distilled water, and the test was performed. The 
load cell piston did not allow the sample to swell by increasing the load corresponding to 
the swell pressure of the sample. For this purpose, a servo- controlled consolidation 
apparatus from GeoTac (Sigma-1 5K) was used. The configuration of this machine was 
similar to the one, which was used for unconfined compressive tests.  
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3.5.5 Triaxial compression tests 
Drained and undrained triaxial compression tests were performed according to ASTM 
D7181 and D4767, respectively. The tests were conducted with an automatic stress path 
triaxial apparatus form GeoTac (TruePath system) shown in Figure 3.5.1. Two 
electromechanical pumps drive the water into the specimen and triaxial cell. The cell 
actuator had a capacity of 170 ml and 300 psi pressure. The pore pressure actuator had a 
capacity of 75 ml and 300 psi. Each pump was connected to a water container, which 
provided the needs of the pumps. The volume and fluid pressure could be measured in both 
pumps with resolutions of 1 mm3 and 0.1 kPa, respectively. During the test, those pumps 
controlled the back pressure and cell pressure automatically according to pre-set data. Each 
pump had a pressure sensor, which measured the fluid pressure during the test.  
Before starting the test, each of the sensors needed a calibration. Depending on the type of 
triaxial test (drained or undrained), after the consolidation stage, the drainage valves were 
kept open (drained condition) or closed (undrained condition). In the undrained condition, 
the excess pore water pressure during the shear stage was measured with a pore pressure 
transducer connected to the sample. In this stage, the cell pressure kept constant and the 
axial load was applied to the sample with a constant strain rate. According to ASTM, the 
rate of shearing is dependent on the time of 90% consolidation. In this standard, it is 
assumed that the failure occurred after 4% axial strain.  
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Figure 3.5.1. GeoTac automated triaxial apparatus 
 
Therefore, the suitable strain rate in the drained condition with the side drain (filter paper 
strip) could be determined by the following equation:  
𝜀̇ =
4%
16𝑡90
                                                                                                    Equation 3.5.1 
where t90 is the time of 90% consolidation. 
In the undrained condition, Equation 3.5.2 changes to the following equation: 
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ε̇ =
4%
10t50
                                                                                                      Equation 3.5.2 
where t50 is the time of 50% consolidation. 
The test continued until the maximum desired strain or maximum desired axial load were 
reached. The advantage of this software was that it allowed the user to adjust the test 
setting before each stage. 
3.5.6 XRD test 
X-ray diffraction (XRD) analyses were conducted by Dr. Shah Vallopilly at the Nebraska 
Center for Material and Nanoscience using the PANalytical Empyrean diffractometer 
(PANalytical Inc., Westborough, MA, USA) with Cu-Kα radiation (1.5418 Å) at the 40 
kV, 45 mA setting. Figure 3.5.2 shows the equipment which was used in this research. A 
mask of 20 mm and a divergence slit of 1/2° were used on the incident beam path. The 
powder samples with 25 mm × 25 mm area were prepared on the low background quartz 
plate sample holder, and the powder X-ray diffraction data was collected by continuously 
scanning a solid state PIXcel3D detector at the rate of 0.027 °/s. A Nickel foil filter was 
used to eliminate the diffraction peaks due to a possible K wavelength.     
Profile analysis of the powder diffractograms by the Rietveld method was carried out 
using TOPAS v5 (Bruker, AXS) software. Bragg intensities based on the crystallographic 
information of different mineral phases of interest such as Montmorillonite, Illite, 
Kaolinite, together with common soil materials such as quartz and calcite were generated, 
and the profile convolution based on a Fundamental Parameter Approach (FP) was 
implemented to simulate the diffraction profile. Various crystallographic and 
microstructural parameters were obtained by least-square refinement. Relative weight 
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percentages of different phases are calculated based on the scale factors obtained from 
the refinement process. 
 
 
Figure 3.5.2. XRD equipment used for the research 
 
37 
 
3.5.7 Sample preparation 
The samples are transferred from the field to the laboratory with Shelby tubes. A sample 
extruder from material testing products was used to extrude the intact samples from the 
Shelby tubes. Figure 3.5.3 shows the sample extruders used in this research. After 
extruding the samples from the Shelby tube, the sample was trimmed and carved in a 
sample trimer frame. Depending on sample stiffness, several different trimers and knives 
were used to carve the samples.  
 
 
 Figure 3.5.3. Sample extruder for Shelby tube 
 
The size of the samples was in the standard range (1.4 in × 3.2 in), and the H/D ratio was 
approximately 2.3. All samples were prepared at the same size to eliminate the effect of 
size on the strength of the samples. The procedure of sample preparation for the swell 
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pressure test was precisely similar to the sample preparation procedure for the 
consolidation test according to the ASTM standard, except that the sample was not 
saturated initially. The number of prepared samples for swelling pressure tests, 
unconfined compression tests, and triaxial tests are summarized in Table 3.5.1. The 
samples were classified by each Shelby tube obtained from three different locations such 
as I-180 & Superior St., North- Loup and Spencer.  
 
Table 3.5.1. Number of prepared samples for swelling pressure test, unconfined 
compression test, and triaxial tests 
Location Shelby 
Depth 
(ft) 
Number of samples 
Swelling 
Pressure 
test 
Unconfined 
compression 
test 
Consolidated 
drained 
triaxial test 
Consolidated 
undrained 
triaxial test 
I-180 & 
Superior St. 
IS-2.5 2.5-4 1 2 2 - 
IS-4.5 4.5-6 - 2 2 1 
IS-14.5 
14.5-
16.5 
1 2 2 - 
IS-19.5 
19.5-
21.5 
1 2 - - 
IS-24.5 
24.5-
26.5 
1 2 - - 
North- Loup 
NL-4.5 4.5-6 1 2 2 - 
NL-
14.5 
14.5-
16.5 
1 2 1 - 
NL-
19.5 
19.5-
21.5 
1 2 - - 
Spencer 
- 3.5-4 1 
Not good for 
testing 
Not good for 
testing 
Not good for 
testing 
- 4.5-7 1 
Not good for 
testing 
Not good for 
testing 
Not good for 
testing 
- 7.5-8 1 
Not good for 
testing 
Not good for 
testing 
Not good for 
testing 
- 8-8.5 1 
Not good for 
testing 
Not good for 
testing 
Not good for 
testing 
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CHAPTER 4 
4 TEST RESULTS AND DISCUSSION 
4.1 Introduction 
In this chapter, the results of unconfined compression tests and triaxial compression tests 
are analyzed in terms of the stress-strain relationship of the specimens to evaluate the 
shear strength of soils. Several fundamental property tests including sieve analysis, 
hydrometer, Atterberg limits, and USCS classification were also conducted to determine 
the fundamental properties of soils. The results may provide a better understanding of the 
fully softened shear strength of overconsolidated soils in slope stability analysis. 
Furthermore, the results from drained and undrained triaxial compression tests are 
compared to evaluate the effect of negative pore water pressure on the effective stress and 
the shear strength parameters (i.e., internal friction angle, cohesion) of overconsolidated 
soils. 
4.2 Gradation test  
A set of gradation tests including sieve analysis and hydrometer tests were conducted on 
specimens from each Shelby tube obtained from I-180 and Superior St. and North-Loup. 
Only IS-2.5, IS-4.5, and IS-14.5 samples were selected among five Shelby tubes obtained 
from I-180 and Superior St., and only NL-4.5 and NL-14.5 were selected among three 
Shelby tubes obtained from North-Loup. For each Shelby tube, two samples were taken 
to conduct gradation tests except IS-4.5 and NL-14.5. The gradation test for IS-4.5 was 
conducted three times, and the test of NL-14.5 was conducted one time. Figure 4.2.1 
shows the results of the gradation tests on the samples. Particle-size distribution 
parameters and soil classification from each test based on the unified soil classification 
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system are shown in Table 4.2.1. According to the unified soil classification system, the 
samples belonged to CL (sandy lean clay) and SC (clayey sand). Although IS-2.5, IS-4.5, 
and NL-4.5 were categorized as SC (clayey sand), the percentage of finer material was 
very close to clayey soils, and it was difficult to clearly distinguish them from clayey 
soils (Table 4.2.1). Additional notable information is that the uniformity coefficient is 
extremely high due to the wide variation of particle sizes. 
 
 
Figure 4.2.1. Gradation of samples from I-180 and Superior St., and North-Loup failed 
slopes 
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Table 4.2.1. Soil classification according to unified classification system 
Location 
Sample 
name 
F200 
(%) 
F4 
(%) 
Uniformity 
coefficient 
(Cu) 
Coefficient 
of gradation 
(Cc) 
Classification Group 
 IS 2.5(1) 47.0 100 228.6 3.9 SC Clayey sand 
I-180 
and 
Superior 
St. 
IS-2.5(2) 57.3 100 265.0 7.6 CL 
Sandy lean 
clay 
IS-4.5(1) 61.2 99.7 114.3 5.2 CL 
Sandy lean 
clay 
IS-4.5(2) 54.5 100 184.6 4.6 CL 
Sandy lean 
clay 
IS-4.5(3) 42.3 100 10.0 12.3 SC Clayey sand 
IS-14.5(1) 16.8 99.7 28.9 4.3 SC Clayey sand 
IS-14.5(2) 18.5 99.7 61.3 7.4 SC Clayey sand 
North-
Loup 
NL-4.5(1) 48.2 100 125 9.8 SC Clayey sand 
NL-4.5(2) 46.0 100 184.6 12.3 SC Clayey sand 
NL-14.5(1) 55.6 99.8 90 10.6 CL-ML 
Sandy silty 
clay 
 
 
4.3 Atterberg limits  
Atterberg limit tests that were conducted on samples from each Shelby tube were selected 
for triaxial testing, and the results are presented in Table 4.3.1. The test case is the same 
as that of the gradation test. As shown in Table 4.3.1 and Figure 4.3.1, the samples 
belonged to medium plasticity soils. The range of liquid limits was 37% to 51% with the 
plasticity index about 16% to 27%. However, the sample from the Shelby tube NL-14.5 
showed a low plasticity index (6.3%) due to the presence of sand particles.  
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Table 4.3.1. Atterberg limits of the samples. 
Shelby Sample name LL (%) PL (%) PI (%) 
The 
average of 
PI (%) 
Standard 
division of 
PI 
IS-2.5 
IS-2.5(1) 41.7 21.6 20.1 
21.2 1.11 
IS-2.5(2) 45.5 23.2 22.3 
IS-4.5 
IS-4.5(1) 39.5 23.4 16.1 
18.5 1.93 IS-4.5(2) 42.2 23.4 18.8 
IS-4.5(3) 42.5 21.8 20.7 
IS-14.5 
IS-14.5(1) 46.2 25.1 21.1 
23.8 2.70 
IS-14.5(2) 51.5 25 26.5 
NL-4.5 
NL-4.5(1) 38 17.3 20.7 
20.0 0.66 
NL-4.5(2) 33 13.6 19.4 
NL-14.5 NL-14.5(1) 29.1 22.8 6.3 - - 
 
 
 
Figure 4.3.1. Comparison of Atterberg limits. 
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4.4 Unconfined compression tests  
The standard test method for an unconfined compression test (ASTM-D2166) was used 
to measure the unconfined compressive strength of the specimens. For each Shelby tube, 
two samples were prepared, and the test was conducted on samples at a constant strain 
rate of one percent per minute. 
4.4.1 Unconfined compression strength of samples from I-180 and Superior St. 
The unconfined compression test was conducted on the samples from this failed slope, 
and the unconfined peak strength and the unconfined residual strength are shown in Table 
4.4.1. In this study the sample’s name that starts with the letters “IS” refers to the I-180 
and Superior St. failed slope. The first three samples (IS-2.5, IS-4.5, and IS-9.5) belonged 
to loess formation, and the rest of samples (IS-14.5, IS-19.5, and IS-21.5) belonged to 
glacial till formation. The tests were conducted for the specimen of IS-2.5 to IS-24.5 
(loess material) obtained from Shelby tubes except IS-9.5. For the sample (IS-2.5) at the 
shallowest depth (2.5 ft- 4 ft), the unconfined shear strength of this depth was high (1880 
psf) compared to other samples from this failed slope. The undisturbed sample extruded 
from the Shelby tube had some natural longitudinal cracks (as shown in Figure 3.4.1),  
which did not appear in the prepared samples for unconfined compression tests. 
Moreover, the initial water content of the IS-2.5 was low (13.2% on average). The 
overconsolidated soils, which contain clay particles at low initial water content usually 
show higher shear strength (Zydron and Dqbrowska 2012, Bláhová et al. 2013, Daffala 
2013). Therefore, the sample showed a high value of unconfined strength.  
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Table 4.4.1. Unconfined compression (UC) test at strain rate of 60 (%/min) on 
undisturbed samples from I-180 and Superior St. 
Shelby Sample name 
Depth 
(ft) 
Strain at 
failure (%) 
Peak shear 
stress (psf) 
Residual 
shear 
stress 
(psf) 
Water 
content 
(%) 
Type of 
test 
IS-2.5 
UC-IS-2.5(1) 
2.5-4 
2.7 1880 570 12.7 UC 
UC-IS-2.5(2) 1.17 1433 390 13.7 UC 
IS-4.5 
UC-IS-4.5(1) 
4.5-6 
2.2 1220 137 8.4 UC 
UC-IS-4.5(2) 1.8 764 72.45 N/A UC 
IS-14.5 
UC-IS-14.5(1) 
14.5-16.5 
1.49 205 5 N/A UC 
UC-IS-14.5(2) 1.76 263 30 17.9 UC 
IS-19.5 
UC-IS-19.5(1) 
19.5-21.5 
3.85 1540 344.5 29.9 UC 
UC-IS-19.5(2) 3.28 1444 293 37.0 UC 
IS-24.5 
UC-IS-24.5(1) 
24.5-26.5 
2.51 2249 389 31.3 UC 
UC-IS-24.5(2) 2.51 2755 1229 30.4 UC 
 
As shown in Table 4.4.1, the average unconfined compressive strength of the samples 
from the IS-2.5 was about 1650 psf. However, it is noted that the unconfined compressive 
strength of the sample in the field contain many cracks, as shown in Figure 3.4.1. 
Therefore, it is believed that the unconfined shear strength of field soils in the location of 
IS-2.5 could be lower than that of the IS-4.5 specimens. 
Usually, the peak shear strength of overconsolidated soils is high enough to show the 
factor of safety higher than one, which means a stable slope. However, in progressive 
failure, which is likely to occur in Nebraska, as discussed in chapter two, the average 
shear strength of soils or a massive portion of it is on residual condition. Therefore, the 
magnitude of the shear strength reduction from peak strength to residual strength is 
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important in long-term stability analysis. Thus, the residual factor (Equation 2.3.1) as 
presented by Skempton (1964), was computed as shown in  
This significant shear strength reduction from peak to residual strength was reported by 
Skempton (1964), Chandler and Skempton (1974), and Mesri and Abdel-Ghaffar (1993), 
as shown in Table 4.4.3.. Moreover, the reduction factor (Equation 2.3.2) which was 
proposed by Mesri and Abdel-Ghaffar (1993) was computed, as shown in Table 4.4.2. 
From the reduction factor (η) for sample IS-2.5, which was about 0.7, there was about 
70% reduction in the shear strength of the soil. Therefore, if a slope is designed based on 
unconfined peak shear strength, the factor of safety may reduce by 70%, which may 
decrease to unity or less, and the slope will fail. The R and η agreed well with existing 
research (Skempton 1964 and Mesri and Abdel-Ghaffar 1993). 
Table 4.4.2. Reduction factor (Mesri and Abdel-Ghaffar 1993) and residual factor 
(Skempton (1964) on undisturbed samples from I-180 and Superior St. 
Shelby tube 
No. 
Sample 
name 
Peak shear 
stress (psf) 
Residual 
Strength 
(psf) 
Residual 
factor (R) 
Reduction 
factor (η) 
IS-2.5 
UC-IS-2.5(1) 1880 570 1.0 0.27 
UC-IS-2.5(2) 1433 390 0.85 0.35 
IS-4.5 
UC-IS-4.5(1) 1220 137 0.97 0.13 
UC-IS-4.5(2) 764 72.45 0.85 0.12 
IS-14.5 
UC-IS-
14.5(1) 
205 5 0.87 0.15 
UC-IS-
14.5(2) 
263 30 0.99 0.12 
IS-19.5 
UC-IS-
19.5(1) 
1540 344.5 0.97 0.24 
UC-IS-
19.5(2) 
1444 293 0.92 0.26 
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IS-24.5 
UC-IS-
24.5(1) 
2249 389 0.98 0.28 
UC-IS-
24.5(2) 
2755 1229 1.0 0.22 
 
A reason for the sharp shear strength reduction from peak to residual strength may be due 
to the weak inter-particle bonds of the soil material (Skempton 1970). These inter-
particles bonds may contribute as a glue to connect the particles to each other. The 
quality of the inter-particle bonds may be dependent on the clay mineralogy and stress 
history of the soil (Li et al. 2016). This notable shear strength reduction was also seen in 
the samples from IS-4.5, IS-14.5, IS-19.5, and IS-21.5. As shown in Figure 4.4.1, there is 
a sharp reduction from peak strength to residual strength on samples from IS-4.5. The 
reduction factor for samples from IS-4.5 was about 0.83, which means that there was 
about 83% reduction of the shear strength of the soil.  
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This significant shear strength reduction from peak to residual strength was reported by 
Skempton (1964), Chandler and Skempton (1974), and Mesri and Abdel-Ghaffar (1993), 
as shown in Table 4.4.3.       
The average initial water content (11.4%) of samples from Shelby tubes IS-2.5 and IS-4.5 
was about one-half of the average plasticity index (21.2%) of the samples, and the 
samples were almost in dry condition. When the initial water content was higher, the 
sample showed lower shear strength than the presented condition from unconfined 
compression tests in Table 4.4.1. 
Table 4.4.3. Shear strength redction in slope stability from previous literatures. 
Literature Type of soil 
Residual factor 
(R) 
Reduction 
factor (η) 
Location 
Skempton (1964) London clay 1.0 - Jackfield slide 
 
Figure 4.4.1. Peak and residual shear strength from unconfined compression test on IS-
4.5 (I-180 and Superior St.) 
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London clay 0.61 - Kensal Green slide 
London clay 0.6 - Northolt slide 
London clay 0.8 - Sudbury Hill slide 
London clay 0.92 - - 
Chandler and 
Skempton (1974) 
Lias clay 0.65 
- 
- 
Mesri and Abdel-
Ghaffar (1993) 
London clay - 
0.45 
 
- 
- - 0.67 River Albedosa slide 
- - 0.6 Failure at Wettern 
Lias clay - 0.57 Brecciated failure 
London clay - 0.65 - 
 
 
 
The sample from the 9.5 ft to 11.5 ft depth (IS-9.5) was from a layer of clean sand, on 
which it was not possible to conduct the unconfined compression test. The initial water 
content of this specimen was 3.8%, making it approximately dry soil. A rough estimation 
of the undrained shear strength of this layer was measured using a vane shear test on the 
sample inside the Shelby tube, and it was 2000 psf. However, it is noted that the result of 
vane shear test might not be realistic because this test is appropriate to estimate the 
undrained shear strength of soft clays.  
As shown in the Figure 4.4.2, the samples from IS-14.5 at the depth of 14.5 ft-16.5 ft had 
lots of fissures and cracks inside the sample, which might be the reason why these 
samples showed the lowest unconfined shear strength. In addition, the sample from this 
Shelby tube contained a high amount of fine sand (83%) mixed with silt and clay 
particles (17%). Moreover, the samples obtained from IS-14.5 had a relatively low 
density equal to 88.5 pcf similar to the loess layers that overlaid it. As shown in  
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This significant shear strength reduction from peak to residual strength was reported by 
Skempton (1964), Chandler and Skempton (1974), and Mesri and Abdel-Ghaffar (1993), 
as shown in Table 4.4.3., the maximum reduction factor of unconfined shear strength was 
generated in IS-14.5 (95%). The presence of the weak layers such as IS-14.5 might be a 
serious trigger for global shear strength reduction of a slope and cause a progressive 
failure. 
 
Figure 4.4.2. Cracks and fissures inside of the sample from IS-14.5 (I-180 and Superior 
St.) 
The glacial till deposits from 19.5 ft- 21.5 ft (IS-19.5) and 24.5 ft- 26.5 ft (IS-24.5) depths 
showed the highest unconfined shear strength and residual strength from this failed slope 
as shown in Figure 4.4.5. 
This significant shear strength reduction from peak to residual strength was reported by 
Skempton (1964), Chandler and Skempton (1974), and Mesri and Abdel-Ghaffar (1993), 
as shown in Table 4.4.3.These highly plastic stiff clays from IS-19.5 had an unconfined 
strength around six times greater than IS-14.5. The unconfined shear strength of IS-24.5 
was about 1.5 times higher than IS-19.5. The existence of the other layers such as chalk 
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(Figure 4.4.3) in the IS-19.5 sample, the presence of a thin layer of sand and gravel inside 
the sample (Figure 4.4.4), and its higher initial water content might have decreased the 
overall strength of this sample. From the reduction factor (η), the unconfined shear 
strength of the samples from I-180 and Superior St. was reduced on average 80% from 
the peak strength. This considerable reduction can decrease the factor of safety and the 
stability of the slope dramatically. A summary comparison of peak and residual 
unconfined compression strength from I-180 and Superior St. is shown in Figure 4.4.5. 
 
51 
 
 
Figure 4.4.3. Layer of chalks (red arrow and boxes) in sample IS-19.5 (I-180 and 
Superior St.) 
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Figure 4.4.4. Sand particles inside of sample IS-19.5 (I-180 and Superior St.) 
 
 
 
Sand and gravel inside the sample 
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Figure 4.4.5. Comparison of peak and residual unconfined compression strength from 
different depth (I-180 and Superior St.) 
 
4.4.2 Unconfined compression strength of samples from North-Loup 
The samples obtained from the North-Loup belonged to Peoria loess. As shown in Table 
4.4.4, the unconfined compressive strength of the samples was significantly lower than 
the samples consisting of glacial till formation in the I-180 and Superior St. slope. It is 
noted that the critical factor for showing low unconfined compression shear strength 
might be related to low inter-particle bonds of loess materials when the initial moisture 
content is high. With the presence of the water, the loessy soils lose their cementation 
between particles and present low strength. For example, a comparison between the 
samples from NL-14.5 and NL-19.5 showed that the unconfined compressive strength 
was decreased from 500 psf to 291 psf, respectively when the initial water content was 
increased from 19.9% to 25.8%. The NL-14.5 and NL-19.5 have very similar 
composition as of sandy silty clay. As shown in Figure 4.4.6, there is a sharp reduction 
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from peak shear strength to the residual shear strength of samples from NL-14.5, which is 
a typical behavior of collapsible soils. The stress-strain curves for unconfined 
compression test results for other samples from this location are illustrated in Appendix 
A.  
Table 4.4.4. Unconfined compression (UC) test on undisturbed samples from North-Loup 
Sample Sample No. 
Depth 
(ft) 
Strain at 
failure 
(%) 
Strain 
Rate 
(%/min) 
Peak shear 
stress 
(psf) 
Residual shear 
stress (psf) 
Water 
content 
(%) 
Type 
of test 
NL-4.5 
UC-NL-4.5(1) 
4.5-6 
5.01 60 195.5 42 
23.5 
UC 
UC-NL-4.5(2) 5.4 60 437.96 164 UC 
NL-14.5 
UC-NL-14.5(1) 14.5-
16.5 
1.72 60 500 68 
19.9 
UC 
UC-NL-14.5(2) 1.39 60 412 13 UC 
NL-19.5 
UC-NL-19.5(1) 19.5-
21.5 
2.69 60 291 39 25.8 UC 
UC-NL-19.5(2) 2.51 60 338 133 31.2 UC 
 
 
 
Figure 4.4.6. Peak and residual shear strength from unconfined compression 
 test on NL-14.5 (North-Loup) 
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Table 4.4.5 shows the residual shear strength from North-Loup. The low residual shear 
strength supports the idea that the slope has a high potential for further movement after 
the first-time failure where the shear strength of the overconsolidated soils are at residual 
deformation condition, because the residual shear strength of the soils is almost 
negligible. This condition may be exacerbated during prolonged rainfall. Low residual 
shear strength at a shallow depth may be the main reasons for subsequent movements of 
slopes after the first-time failure. In case of heavy rainfall where the height of the phreatic 
surface increases, the pore water pressure may increase for a short period of time in 
shallow depth, and the effective stress and shear strength acting on this depth may be 
reduced significantly. 
 
 
Table 4.4.5. Reduction factor (Mesri and Abdel-Ghaffar 1993) and residual factor 
(Skempton (1964) on undisturbed samples from North-Loup 
Sample Sample No. 
Peak shear 
stress (psf) 
Residual 
Strength (psf) 
Residual 
factor (R) 
Reduction 
factor (η) 
NL-4.5 
UC-NL-4.5(1) 195.5 42 0.45 0.64 
UC-NL-4.5(2) 437.96 164 1.0 0.28 
NL-14.5 
UC-NL-14.5(1) 500 68 0.77 0.34 
UC-NL-14.5(2) 412 13 0.62 0.40 
NL-19.5 
UC-NL-19.5(1) 291 39 0.32 0.72 
UC-NL-19.5(2) 338 133 0.63 0.60 
 
Moreover, the presence of some weak layers with particularly low shear strength 
compared to the other layers are the additional reason for slope failure. For example, the 
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unconfined shear strength of samples from IS-14.5 were about one seventh of the average 
unconfined shear strength of samples from I-180 and Superior St. slope and it contained 
fine sand layers. Therefore, the shear strength of soils around the depth of IS-14.5 is 
reduced to the residual condition much faster than the other layers by rain water and 
initiated the failure. As shown in Figure 4.4.5, the residual strength of this sample was 
almost negligible. Therefore, an additional stress is transferred to the adjacent layers and 
progressively reduces the shear strength of the entire slope and causes a failure. 
Moreover, fissures and cracks may become an additional source of stress concentration 
and increase the gap between the peak and the residual strength in overconsolidated soils 
(Skempton 1964).  
4.5 Swell pressure tests 
A series of swell pressure tests (ASTM- D4546) were conducted on undisturbed samples 
to investigate the swell pressure of the soils, which may have an effect on the shear 
strength reduction behavior of the samples. 
Figure 4.5.1 shows the swell pressure test results on I-180 and Superior St. (noted as IS) 
and the North-Loup (noted as NL) undisturbed samples. According to XRD test results 
(Appendix C), swelling pressure might be increased due to a high percentage of 
montmorillonite found in XRD tests (Appendix C). For example, the IS-2.5, which had 
0.01% montmorillonite and 20.52% illite, had a swell pressure about 100 psf while, as 
shown in Figure 4.5.2, IS-24.5 consisted of about 10% montmorillonite, 15% illite, and 
25% kaolinite with the swell pressure of about 500 psf, which was the highest swell 
pressure among the samples from the I-180 and Superior St. slope. As shown in Figure 
4.5.1, the swell pressure of the soil layers from North-Loup was very low, where NL-4.5 
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and NL-19.5 showed approximately negligible pressure. It is believed that as the swell 
pressure of this material was insignificant, perhaps, they did not consist of expansive 
minerals and the swell pressure curve was approximately plateau.  
 
Figure 4.5.1. Swell pressure results for I-180 and Superior St. (IS) and North-Loup (NL) 
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Figure 4.5.2. XRD analysis on sample from IS-24.5, I-180 and Superior St. slope 
(glacial till, 24.5 ft-26.5 ft) 
 
According to the swell pressure test results from undisturbed samples from I-180 and 
Superior St., and North-Loup, and a comparison with swell pressure results from Spencer 
slope (Figure 4.5.3), which consisted of Pierre shale material, the swelling phenomenon 
of the Pierre shale formation in Spencer may exert a significant effect on the stability of 
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slopes due to considerably higher swell pressure. As shown in Figure 4.5.3, the swelling 
pressure was higher than samples from I-180 and Superior St. and North-Loup, which 
might relate to the amount of expansive minerals in the samples. For example, as shown 
in Table 4.5.1, the percentages of montmorillonite at a shallow depth (3.5 ft – 4 ft) in 
Spencer was 6.64 %, while the percentages of montmorillonite at a similar depth (2.5 ft – 
4.5 ft) in I-180 and Superior St. was 0.01%, in which the swelling pressure was 106 psf 
and 409 psf, respectively. Therefore, the water content of the soil could be increased due 
to swelling for the Spencer slope, and it might cause a significant reduction in shear 
strength of the soil (Calabresi and Scarpelli 1985, and Wong 1998). As shown in Figure 
4.5.3, the highest swell pressure of samples from Spencer was 4000 psf at the depth of 8 
ft to 8.5 ft. At this depth, the overburden pressure was about 5300 psf. Therefore, the soil 
did not swell. However, when these shales are exposed to zero or reduced pressure due to 
cutting, it may swell and act as a starting point of progressive failure.  
 
Table 4.5.1. Clay mineralogy from XRD test 
Sample ID Quartz 
low (%) 
Illite 
(%) 
Kaolinite 
(%) 
Montmorillonite 
(%) 
Calcium carbonate 
(%) 
IS-2.5 74.92 20.52 3.35 0.01 1.20 
IS-4.5 72.73 19.27 6.81 0.01 1.19 
IS-19.5 51.49 15.29 23.02 11.20 - 
IS-24.5 50.00 15.11 24.86 10.03 - 
Spencer (3.5ft-4ft) 43.44 5.02 5.9 6.64 38.99 
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Figure 4.5.3. Swell pressure results from Spencer undisturbed samples  
 
The rate of swelling pressure for samples was predicted similar to the method that 
coefficient of consolidation was predicted by Casagrande and Fadum (1940), and the 
Equation 4.5.1 was used to predict the coefficient of rate of swelling pressure (similar to 
the equation for predicting the coefficient of consolidation).  
𝑐𝑣 =
𝑇𝑣×𝐻𝑑𝑟
2
𝑡50
                                                                                         Equation 4.5.1 
where cv is the coefficient of the rate of swelling pressure, Tv is the time factor, Hdr is 
average longest drainage path during the swell pressure test, and t50 represents the time 
corresponding to 50% swell pressure.  
For each sample, t50 was calculated from the swell pressure versus time (Figure 4.5.1 and 
Figure 4.5.3) based on the method that was proposed by Casagrande and Fadum (1940). 
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The time factor (T50) was calculated based on the proposed number from Das (2010) for a 
50% average degree of consolidation. As the samples drained at both the top and bottom, 
Hdr was considered equal to one-half of the average height of the sample during the swell 
pressure test (equal to 0.5 in). Table 4.5.2 shows the calculated coefficient rate of the 
swell pressure based on Equation 4.5.1. 
 
Table 4.5.2. Coefficient of rate of swelling pressure 
Location Shelby tube Depth (ft) t50 (min) 
Coefficient of rate of swelling 
pressure, cv (in2/min) 
I-180 & Superior St. 
IS-2.5 2.5-4 0.34 0.1449 
IS-14.5 4.5-6 1.1 0.0448 
IS-19.5 19.5-21.5 190 0.0003 
IS-24.5 24.5 -26.5 46 0.0011 
North-Loup 
NL-4.5 4.5-6 13 0.0038 
NL-14.5 14.5-16.5 2.7 0.0182 
Spencer 
- 3.5-4 6 0.0082 
- 4.5-7 350 0.0001 
- 7.5-8 54 0.0009 
- 8-8.5 140 0.0004 
 
4.6 Triaxial compression tests 
A series of consolidated drained and consolidated undrained triaxial tests were conducted 
for undisturbed samples according to ASTM- D7181 and ASTM- D4767, respectively. 
Both drained and undrained shear tests were conducted to investigate the role of pore 
water pressure in the shear strength of overconsolidated soils. The table shows the type of 
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conducted test (drained or undrained), and the applied confining stress on each sample. It 
is noted that the first two letters of the name of the samples show the type of triaxial test 
conducted on the samples (CD refers to consolidated drained test and CU is refers to 
consolidated undrained test).  
 
Table 4.6.1. Type of triaxial test conducted on samples and applied confining stress 
Location 
Shelby 
tube 
Depth 
(ft) 
Sample 
name 
Type of test 
Confining 
stress 
(psf) 
I180-
Superior St. 
IS-2.5 2.5-4 
CD-IS-2.5(1) Consolidated drained (CD) 288 
CD-IS-2.5(2) Consolidated drained (CD) 72 
IS-4.5 4.5-6 
CD-IS-4.5(1) Consolidated drained (CD) 488 
CD-IS-4.5(2) Consolidated drained (CD) 216 
CU’-IS-
4.5(3) 
Consolidated undrained 
(CU’) 
216 
IS-14.5 
14.5-
16.5 
CD-IS-
14.5(1) 
Consolidated drained (CD) 1440 
CD-IS-
14.5(2) 
Consolidated drained (CD) 216 
North-Loup 
NL-4.5 4.5-6 
CD-NL-
4.5(1) 
Consolidated drained (CD) 648 
CD-NL-
4.5(2) 
Consolidated drained (CD) 216 
NL-
14.5 
14.5-
16.5 
CD-NL-
14.5(1) 
Consolidated drained (CD) 216 
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4.6.1 Overconsolidation ratio 
The overconsolidation ratio (OCR) of the soils is defined as the ratio of the maximum 
stress that soil experienced in the past, divided by the current stress (Equation 4.6.1). The 
overconsolidated soils have an OCR greater than one. 
𝑂𝐶𝑅 =
𝜎𝑐
𝜎0
                                                                                                    Equation 4.6.1   
where σc is preconsolidation stress and σo is current stress. To predict the 
preconsolidation stress of the soils, the relationship between effective stress and void 
ratio or axial strain from the consolidation test is needed. The results from the 
consolidation stage from triaxial tests are just volume change versus time at a certain 
effective confining stress, which is unlikely to be used for predicting the preconsolidation 
stress of the samples. Therefore, in this research, the preconsolidation stress of the 
samples was calculated by the proposed correlation (Equation 4.6.2) from Stas and 
Kulhawy (1984). 
𝜎𝑐 = 10
(1.11−1.87𝐿𝐼)                                                                                       Equation 4.6.2                                 
where LI is liquidity index of the samples (Equation 4.6.3). 
𝐿𝐼 =
𝜔−𝑃𝐿
𝑃𝐼
                                                                                                      Equation 4.6.3 
where ω is water content, PL is plastic limit, and PI is plasticity index of the samples. 
Table 4.6.2 shows the calculated LI for the samples. According to Das (2010), LI less 
than zero (negative value) represented the highly overconsolidated soils. As shown in 
Table 4.6.2, the OCR of the samples was predicted to be 4 to 15, except IS-2.5(2), IS-
14.5(2), and NL-4.5(2) that had an overconsolidation ratio of 40, 51, and 44, respectively. 
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These very high OCR could be because of the low effective confining stresses, which 
were applied on the samples. For example, the effective confining stress of IS-2.5(2) was 
72 psf. According to Peck et al. (1973), highly overconsolidated soils had an OCR greater 
than 6. Therefore, it can be concluded that the samples from I-180 and Superior St. and 
North-Loup are categorized as highly overconsolidated soils. 
 
Table 4.6.2. Estimated overconsolidation ratio of the samples 
Sample ID LI (%) 
Average LI 
(%) 
Preconsolidation stress 
(psf) 
Confining Stress 
(psf) 
OCR 
IS-2.5(1) -0.49 
-0.52 2851.70 
288 10 
IS-2.5(2) -0.54 72 40 
IS-4.5(1) -0.76 
-0.58 2132.20 
488 4 
IS-4.5(2) -0.55 216 10 
IS-4.5(3) -0.45 216 10 
IS-14.5(1) -0.24 
-0.20 11069.09 
1400 8 
IS-14.5(2) -0.17 216 51 
NL-4.5(1) -0.05 
-0.24 9503.66 
648 15 
NL-4.5(2) -0.42 216 44 
 
 
4.6.2 Shear stress-strain behavior 
 Figure 4.6.1 shows the stress-strain behavior for the six consolidated drained tests 
conducted on specimens from I-180 and Superior St. slope. As shown in the figure, with 
decreasing the effective confining stress on samples, there is a dramatic reduction on the 
shear strength of soils as expected. As an example, the shear strength of IS-2.5 at 288 psf 
effective confining stress was 2870 psf while the shear strength of soil at low effective 
confining stress (72 psf) was 475 psf. The reduction rate of the drained shear strength of 
IS-2.5 due to reduced confining stress is about 0.8. This value was calculated as a ratio 
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between the drained shear strength reduction from high to low effective confining stress 
to the drained shear strength of the soil at high confining stress. In other words, the 
samples from IS-2.5 lost about 80% of their shear strength when low confining stress was 
reduced. If this high reduction of shear strength of the soil is considered in the stability of 
the slope, it can reduce the factor of safety by 80%. 
 
 
Figure 4.6.1. Consolidated drained stress-strain curves for I-180 and Superior St. 
 
A significant portion of strength reduction in sample IS-2.5 (2.5 ft-4 ft) might be due to 
voids and cracks on the sample, as shown in Figure 3.4.1. However, this sharp shear 
strength reduction from high effective confining stress to low effective confining stress 
might be as a result of inhomogeneous material in both samples from IS-2.5. The 
effective stress based Mohr’s circle from IS-2.5 is shown in Figure 4.6.2. The calculated 
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effective internal friction angle of IS-2.5 was about 55°, which is impossible. A 
comparison of Mohr’s circles of this sample shows that the Mohr’s circle of CD-IS-2.5(2) 
at low effective stress (72 psf) was extremely small, which means that the sample did not 
have a logical drained strength. The reason of this behavior might be absorbing a high 
amount of water at a low effective stress level during the drained triaxial test. Therefore, 
the sample showed this very low Mohr’s circle.  
As illustrated in Figure 4.6.1, on IS-14.5 (14.5 ft-16 ft), the shear strength of soil was 
1700 psf at a high effective confining stress (1440 psf), while it reduced to 965 psf at a 
low normal effective stress. The drained shear strength reduction ratio between the 
drained shear strength of the sample from IS-14.5 at a low confining stress to a drained 
shear strength at a high confining stress was about 0.4, which meant that there was a 60% 
strength reduction due to reducing the confining stress (Figure 4.6.3). From Mohr’s 
circle, the effective internal friction angle of this sample was about 22°, which supports 
the reliability of the 60% shear strength reduction at a low effective confining stress 
condition.  
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Figure 4.6.2. Consolidated drained effective stress Mohr’s circle of samples from IS-2.5 
(I-180 and Superior St.) 
 
Figure 4.6.3. Consolidated drained effective stress Mohr’s circle of samples from IS-14.5 
(I-180 and Superior St.) 
0
2000
4000
6000
0 2000 4000 6000
S
h
ea
r 
st
re
ss
 (
p
sf
)
Effective normal stress (psf)
CD-IS-2.5(1)
CD-IS-2.5(2)
0
2000
4000
6000
0 2000 4000 6000
S
h
ea
r 
st
re
ss
 (
p
sf
)
Effective normal stress (psf)
CD-IS-14.5(1)
CD-IS-14.5(2)
68 
 
 
As illustrated in Figure 4.6.4, there was a sharp reduction in the shear strength of the soils 
at a low effective stress level for samples from North-Loup. As shown in Figure 4.6.5, 
the shear strength of the specimen from NL-4.5 (4.5ft-6ft) was reduced from 1726 psf to 
572 psf when the effective confining stress was decreased from 648 psf to 216 psf. The 
effective internal friction angle of NL-4.5 was about 45° which is not a very reliable 
value. Similar to the case of samples from IS-2.5 a comparison of Mohr’s circles of NL-
4.5 sample shows that the Mohr’s circle of CD-NL-4.5(2) at a low effective stress (216 
psf) was extremely small, which means that the sample did not have a logical drained 
strength. The reason for this behavior might be absorbing a high amount of water at a low 
effective stress level during a drained triaxial test. Therefore, the sample showed this very 
low Mohr’s circle. The triaxial test result on each sample is shown on Appendix B. 
 
Figure 4.6.4. Stress-strain curves for North-Loup slope for consolidated drained triaxial 
test 
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Figure 4.6.5. Consolidated drained effective stress Mohr’s circle of samples from NL-4.5 
(North-Loup) 
 
A consolidated undrained test with pore pressure measurement (CU’) was conducted on 
samples from IS-4.5 at shallow depth. As shown in the Figure 4.6.6, the undrained shear 
strength of soil at a low effective confining stress was not only approximately 2.3 times 
the drained shear strength at the same confining stress level (low effective confining 
stress equal to 216 psf) but also was about 1.7 times higher than the drained shear 
strength at a high effective confining stress (488 psf). In this regard, the drained shear 
strength at 488 psf effective confining stress (high effective confining stress) was 560 psf, 
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and the drained shear strength at 216 psf effective confining stress (low effective 
confining stress) was 410 psf while the undrained shear strength of the soil at 216 psf 
effective stress was 950 psf. This high shear strength in the undrained condition is due to 
negative pore pressure (Figure 4.6.7) in overconsolidated soils. These trends for higher 
undrained strength for overconsolidated clays were in agreement with the results from 
Henkel and Skempton (1954), and Gu et al. (2016). As shown in Figure 4.6.7, the 
maximum negative pore water pressure of the CU’-IS-4.5(3) is about 280 kPa, which 
caused an increase in the undrained shear strength of soil. Therefore, it is not 
conservative to use the undrained shear strength of soil for long term stability of slopes. 
The effective stress based Mohr’s circle from this sample is shown in Figure 4.6.8. The 
effective internal friction angle for IS-4.5 was about 22° and it supports 1.4 times 
reduction of the drained shear strength at high effective confining stress to low effective 
confining stress that was about 1.4 times. 
 
 
Figure 4.6.6. Comparison between drained and undrained stress-strain curves for I-180 
and Superior St. 
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Figure 4.6.7. Pore pressure variation during triaxial consolidated undrained test (IS-4.5, I-
180 and Superior St.) 
 
Figure 4.6.8. Effective stress Mohr’s circle of samples from IS-4.5 (I-180 and Superior 
St.) 
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4.6.3 Volume change behavior 
 The volume change behavior of undisturbed samples was monitored during the triaxial 
tests to investigate the effect of low confining stress level on the samples during 
consolidation and shearing stages. The volume expansion during these stages can reduce 
the shear strength of the soil due to water adsorption and softening.  
4.6.3.1 During Consolidation stage  
The volume expansion in the soil at a low stress level happened in some samples during 
the consolidation stage. For instance, as shown in Figure 4.5.1 the swell pressure of IS-
14.5 (14.5 ft-16.5 ft) was about 300 psf. As shown in Figure 4.6.9, while consolidation 
pressure was 216 psf for consolidation stage the sample consolidated until swelling 
kicked in. As water content gets high, then swelling pressure exceeded consolidation 
stress, then net volume change became swelling. The sample consolidated for about 100 
minutes to -0.19% volumetric strain where it showed an approximate complete cycle of 
consolidation, and then it started to swell through the rest of the test to 1440 minutes to -
0.021% volumetric strain. This swelled shape of the sample is shown in Figure 4.6.10. 
Besides, conducting the triaxial consolidation test at a low effective confining stress 
condition showed an uncommon behavior of soil during the consolidation stage at the 
triaxial compression test. Figure 4.6.11 shows that the swelling pressure and 
consolidation pressure were well balanced for the specimen from NL-14.5 (North-Loup, 
Peoria loess) that has a swell pressure of 208 psf.  
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Figure 4.6.9. The swelling of the sample IS-14.5 (glacial till formation) at low effective 
stress 
 
 
Figure 4.6.10. Picture of localized-swelled sample from IS-14.5 (glacial till formation) 
during consolidation stage in the triaxial cell 
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Figure 4.6.11. Volumetric strain of the sample IS-14.5 at low effective stress during 
consolidation stage 
 
4.6.3.2 During shear stage 
Figure 4.6.12 shows the volume change behavior of soils during the drained triaxial 
shearing stage. The volume change plot for other samples are presented in appendix B. In 
Figure 4.6.12, negative values represent contraction. The figure shows that many samples 
contracted during the shearing stage.  
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Figure 4.6.12. Volume change behavior during triaxial drained shearing stage (the legend 
of inset is similar to the main figure) 
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A comparison of Figure 4.6.12 and Figure 4.6.1 (the inset of Figure 4.6.12) shows that 
after corresponding axial strain of the peak shear stress, the samples started to dilate. In 
other words, on the horizontal axis (axial strain), the peak stress was reached before the 
dilation was initiated in the samples at low effective confining stress conditions. The 
shear stress increased until the peak, then inter particle bonds were disintegrated, and 
because of the swell pressure of the samples, the soil was dilated. 
4.6.4 Effect of water content 
The water content has a significant effect on the fully softened shear strength of 
overconsolidated soils. Increasing the water content of soils may reduce the shear 
strength of soils down to the fully softened shear strength when soils are dispersive or 
have expansive minerals. Figure 4.6.13 shows that test samples from each Shelby tube 
had similar moisture contents before the triaxial test. However, the water content of all of 
the samples increased after the tests. This increase in water content is notable in samples 
from IS-2.5 (I-180 and Superior St.) and IS-4.5 (I-180 and Superior St.), especially at low 
stress levels. This phenomenon may be explained due to the higher suction pressure of 
the samples.  
As shown in Table 4.6.3, the initial water content of the samples was lower than the 
plasticity index. While at the end of the drained test, the water content of the softened 
soils was on average 140% and 160% higher than the plasticity index of soils from I-180 
and Superior St. and North-Loup, respectively. As shown in this table, the water content 
of the samples, which were tested at a low effective confining stress, was increased more 
than the samples that were tested under higher effective confining stress in general, 
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because at a low effective confining condition the sample may easily swell and absorb 
water.  
 
 
Figure 4.6.13. Comparison of water content of samples before and after triaxial tests 
 
Table 4.6.3. Water content of the samples before and after of conducting the triaxial test. 
Sample Name LL (%) PL (%) PI (%) 
Water Content (%) 
Before test After test 
CD-IS-2.5(1) 41.7 21.6 20.1 11.7 19.3 
CD-IS-2.5(2) 45.5 23.2 22.3 11.1 31.6 
CD-IS-4.5(1) 39.5 23.4 16. 1 11.4 29.7 
CD-IS-4.5(2) 42.2 23.3 18.9 13.1 31.8 
CU’-IS-4.5(3) 42.5 21.7 20.8 12.4 24.9 
CD-IS-14.5(1) 46.2 25.1 21.1 20.1 27.2 
CD-IS-14.5(2) 51.5 25 26.5 20.6 29.5 
CD-NL-4.5(1) 38 17.3 20.7 18.5 24.6 
CD-NL-4.5(2) 33 13.6 19.4 21.8 24.4 
CD-NL-14.5(1) 29.1 22.8 6.3 12.3 26.0 
  
0
5
10
15
20
25
30
35
IS-2.5(1) IS-2.5(2) IS-4.5(1) IS-4.5(2) IS-4.5(3) IS-14.5(1) IS-14.5(2) NL-4.5(1) NL-4.5(2) NL-14.5(1)
M
o
is
tu
re
 C
o
n
te
n
t 
(%
)
Before test
After test
78 
 
4.7 Comparison between drained shear strength and unconfined compressive 
strength 
The drained shear strength (noted as CD) and unconfined compressive strength (noted as 
UC) were compared to evaluate a suitable shear strength for long-term slope stability 
analysis. The drained shear strength of sandy lean clayey (CL) soils from a shallow depth 
(IS-2.5, from I-180 and Superior St.) at a low effective confining stress (72 psf) was, on 
average, 480 psf lower than the residual shear strength from the unconfined compression 
test as shown in Figure 4.7.1, indicating that the unconfined compression strength may 
not provide a conservative slope design. From Figure 4.7.2, the drained shear strength of 
sandy lean clayey (CL) samples from IS-4.5 (from I-180 and Superior St.) was also lower 
than the average peak unconfined compressive strength in general. However, the 
consolidated undrained shear strength from this Shelby tube was close to the unconfined 
compressive strength. In other words, long-term stability of a slope in overconsolidated 
clays may not be satisfied if the undrained shear strength is considered in slope stability.  
  
Figure 4.7.1. Comparison between results of unconfined compressive shear strength and 
triaxial drained test on loess maaterial at shallow depth (I-180 and Superior St.) 
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Figure 4.7.2. Comparison between results of unconfined compressive shear strength and 
triaxial drained and undrained tests on loess soil from IS-4.5 samples 
 
For both studied sites (North-Loup and I-180 and Superior St.) in some cases such as IS-
14.5 and NL-4.5, which were both clayey sand (SC), the unconfined compression shear 
strength of soils was lower than the fully softened shear strength from drained triaxial 
tests for equivalent samples, as shown in Figure 4.7.3 and Figure 4.7.4, respectively. 
According to gradation results, the IS-14.5 and NL-14.5 consisted of about 83% and 53% 
sand materials, respectively, which were mixed with clayey soils. During the unconfined 
compression test, the materials are not confined with the cell pressure and the failure may 
occur in the weak area due to cracks and fissures. Regarding the samples from NL-4.5, 
note that the samples had a high initial moisture content. In the presence of water, loess 
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materials usually show low strength due to reduced cohesion in high water content. The 
absent of confining pressure for this collapsible soil may develop early stage failure 
under the unconfined compression condition.  
 
 
Figure 4.7.3. Comparison between results of unconfined compressive shear strength and 
triaxial drained and test on clayey sandy (SC) soils from IS-14.5 (I-180 and Superior St.) 
samples 
 
 
0
500
1000
1500
2000
0 2 4 6 8 10 12 14 16
S
h
ea
r 
st
re
ss
 (
p
sf
)
Axial strain (%)
CD-IS-14.5(1)
CD-IS-14.5(2)
UC-IS-14.5(1)
UC-IS-14.5(2)
81 
 
 
Figure 4.7.4. Comparison between results of unconfined compressive shear strength and 
triaxial drained and test on clayey sandy (SC) soils from NL-4.5 samples 
 
4.8 Discussion 
As discussed in this chapter there was a significant reduction in the shear strength of 
overconsolidated clayey soils of Nebraska, which causes slope instability in the area. 
Based on unconfined compression test results on overconsolidated clayey loess and 
glacial tills, there was a considerable reduction in the unconfined compression strength of 
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shear strength. In both cases studies in this research (I-180 and Superior St., and North-
Loup), the average of the reduction factor (η) was 33%.  
It is noted that the effect of weak layers is critical to evaluate slope stability. As 
discussed, there were some layers including sands, chalk layer, many cracks, and fissures, 
which were believed to show lower shear strength in comparison with the other layers. 
For example, in I-180 and Superior St. sample IS-14.5 (Figure 4.4.5) showed very low 
peak unconfined compressive strength on average about seven times lower than the other 
layers. It means that once the failure is initiated somewhere, then the driving stress is 
transferred to adjacent layers. After a while, the localized failure is spread through the 
entire slope, and the total failure occurs finally (Frohlich 1955, Skempton 1970). 
Applying the maximum shear strength from unconfined compression test in long-term 
stability analysis of the slopes in Nebraska, therefore, may not provide a conservative 
design.  
 The results of the consolidated drained triaxial test on overconsolidated soils in Nebraska 
showed that the substantial magnitude of shear strength of the soil was reduced 
substantially, if the confining stress acting on the soil was decreased due to cutting and 
constructing the slope. Therefore, this condition should be considered during the design 
and repair stage for slopes. The drained shear strength of samples from I-180 and 
Superior Street, which included IS-2.5, IS-4.5, and IS-14.5, was reduced about 82%, 
52%, and 42%, respectively, when the effective confining stress was reduced from 288 
psf, 488 psf, and 1440 psf to 72 psf, 216 psf, and 216 psf, respectively. The drained shear 
strength reduction due to low effective stress for NL-4.5 from North-Loup was 66% 
when the effective confining stress was reduced from 648 psf to 216 psf. This condition 
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is similar to the condition of the slope due to cutting when the overburden stress acting on 
the soil is removed. This condition can be amplified if the soil consisted of expansive 
minerals, which cause swelling especially at a low stress level. As shown in this chapter, 
the sample from IS-14.5 clearly swelled at a low stress level during the triaxial test. If this 
type of soil is exposed to the surface of the slope due to the cutting, the soil will swell 
eventually, actively absorbs water, and then become weak. This swelling provides an 
ideal condition for water to percolate through the soil and reduce the shear strength of the 
soils. However, it is worth mentioning that the permeability of the overconsolidated soil 
is usually low and it may take time for water to seep through the soil and reduce the shear 
strength of the soil. Therefore, progressive failure due to shear strength reduction of 
overconsolidated soils of Nebraska is the primary factor for slope failure in this area. 
Severe seasonal climate changes, heavy rainfalls, type of minerals of the soils, fissures, 
cracks, and the permeability of the materials are the combined factors that have a 
significant effect on the long-term stability of slopes in Nebraska. As shown in Figure 
4.8.1, the drained shear strength of the soil at a low effective confining stress (CD-2) was 
lower than the peak unconfined compressive strength of the soil.  
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Figure 4.8.1. Comparison between the peak unconfined shear strength (UC) and drained 
shear strength (CD) of overconsolidated clayey soils from I-180 and superior St. (S) and 
North-Loup (R)  
 
As shown in Figure 4.8.2, in some cases such as IS-4.5 the drained shear strength was 
higher than the unconfined shear strength, it should be noted that due to the high 
percentage of sand particles in this sample, an unconfined compression test might not be 
appropriate to use for this sample. On the other hand, it can provide evidence that when 
the effective confining pressure is zero the soil strength may reduce dramatically. 
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Figure 4.8.2. Comparison between the peak unconfined shear strength (UC) and drained 
shear strength (CD) of overconsolidated sandy soils from I-180 and superior St. (S) and 
North-Loup (R) 
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CHAPTER 5 
5 CONCLUSIONS AND SUGGESTIONS 
5.1 Conclusions 
This study discussed the shear strength parameters of overconsolidated soils and their 
role in slope stability in Nebraska. Laboratory tests were conducted to evaluate the short-
term and long-term shear strength of overconsolidated soil samples from failed slopes in 
Nebraska. A literature study on the shear strength of overconsolidated soils and clayey 
shales was conducted. Based on the findings of this literature survey, there is a significant 
reduction on shear strength of overconsolidated soils with time. Besides, expansive clay 
minerals induced swelling have a notable effect on shear strength reduction of soils 
which cause an instability of slopes in overconsolidated clays and clayey shales.  
In this study, undisturbed samples from two failure locations were used to assess the 
shear strength characteristics of overconsolidated soils in Nebraska. A series of 
unconfined compression tests, consolidated drained triaxial tests, and consolidated 
undrained triaxial tests were conducted. For each test, the initial water content and final 
water content after conducting a triaxial test were measured to observe the changes of 
water content in the samples. For evaluating the swell pressure of the samples, the swell 
pressure test was conducted on undisturbed samples. Finally, the failure mechanism of 
slopes in Nebraska was discussed, and the factors contributing to this mechanism were 
investigated.  
The major contributions, observations, and conclusions from the research are given as 
follows. 
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1. According to the results, the unconfined compression shear strength was 
higher than the consolidated drained shear strength of overconsolidated soils. 
Thus, the peak of unconfined compression shear strength may not probably 
represent the shear strength characteristics of overconsolidated soils in 
Nebraska at the time of failure. Although in some cases such as IS-4.5, the 
drained shear strength was higher than the unconfined shear strength. It should 
be noted that due to the high percentage of sand particles in this sample, an 
unconfined compression test might not be appropriate to use for this sample. 
On the other hand, it can be evidence that when the effective confining 
pressure is zero, the soil strength may reduce dramatically. Therefore, an 
unconfined compression test may not be conservative to use for estimating the 
shear strength of Nebraskan soils in both design and retrofit stages for long-
term stability of slopes.  
2. The low residual unconfined compressive strength of the samples showed that 
slopes, which had experienced failure, might be likely to fail again. The 
unconfined compression test results showed that there was a fair to substantial 
reduction from peak strength to residual strength. In case of I-180 and 
Superior St. the shear strength of soils were reduced about 80% on average. 
The low residual unconfined shear strength supports the statement that after 
first-time failure, where the shear strength of the overconsolidated soils are at 
a critical condition (residual shear strength), the slope has a high potential for 
further movement because the residual shear strength of the soils is negligible. 
This condition may be accelerated during intense rainfall.  
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3. High swelling pressure from shale material from Spencer slope, especially at 
the deep depth, showed that deep cut slopes might have higher swelling 
potential. Therefore, the risk of failure in these deep cut slopes is higher. 
However, the rate of swelling in this condition is significantly dependent on 
the permeability of soil, and it may take a long time for soil to swell 
completely. 
4. Swelling at low effective stress conditions is one of the main reasons for 
reduction of shear strength of overconsolidated soils in cut slopes in Nebraska. 
In cut slopes after excavation, the stress applied to the remaining material is 
decreased (low effective confining stress). Therefore, relaxation of soil begins, 
and the available closed fissures open up due to decreased lateral pressure. As 
a result of rebounding, the water percolates through the soil and pore water 
pressure is initiated, which reduces the shear strength of materials. 
5. The undrained shear strength from tiraxial test was higher than the drained 
shear strength of overconsolidated soils due to the negative pore water 
pressure in the undrained condition. Therefore, using the undrained shear 
strength may not be conservative in long-term stability of slopes in 
overconsolidated clays. 
6. The water content of samples after conducting consolidated drained triaxial 
tests at a low confining effective stress condition was higher than the water 
content of the samples from the same Shelby tube at a higher effective 
confining pressure. This higher final water content, which is similar to a fully 
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saturated condition in the field, caused more softening on overconsolidated 
soils and reduced shear strength of soils dramatically. 
7. A fully softened shear strength of materials from a drained condition at a low 
stress level should be considered for long-term stability of slopes in Nebraska. 
Using fully softened shear strength of soils at a low stress level in slope 
stability analysis in Nebraska provides a conservative factor of safety for the 
condition of shallow failure during intensive rainfalls.  
5.2 Suggestions for future study 
Based on the present research, the following points are recommended for future study: 
1. Investigating the rate of softening due to weathering cycles (wetting/drying 
tests) in overconsolidated soil of Nebraska. 
2. Investigating the effect of swell pressure of overconsolidated stiff clays and 
clayey shales in design analysis of retrofitting techniques, such as retaining 
structures and anchors in Nebraska. 
3. Investigate the effect of new stabilizers such as biomaterials in stability of 
overconsolidated soils and clay shales in Nebraska and compare it with 
traditional stabilizers such as cement. 
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7 APPENDIX A: SUMMARY OF UNCONFINED COMPRESSION 
TESTS  
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Figure A1. Unconfined compressive test, I-180 and Superior St. (2.5 ft-4 ft) 
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Figure A2. Unconfined compressive test, I-180 and Superior St. (4.5 ft-6.5 ft) 
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Figure A3. Unconfined compressive test, I-180 and Superior St. (14.5 ft-16 ft) 
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Figure A4. Unconfined compressive test, North-Loup (4.5 ft-6 ft) 
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Figure A5. Unconfined compressive test, North-Loup (14.5 ft-16.5 ft) 
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8 APPENDIX B: SUMMARY OF TRIAXIAL TESTS 
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Figure B1. Drained consolidated triaxial test, North-Loup (4.5 ft-6 ft) 
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Figure B2. Volume change behavior during shear stage at triaxial drained test, North-
Loup (4.5 ft-6 ft) 
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Figure B3. Volume change behavior during triaxial-consolidation stage, North-Loup (4.5 
ft-6 ft) 
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Figure B4. Volume change behavior during shear stage at triaxial drained test, North-
Loup (14.5 ft-16.5 ft) 
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Figure B5. Volume change behavior during shear stage at triaxial drained test, North-
Loup (14.5 ft-16.5 ft) 
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Figure B6. Volume change behavior during triaxial-consolidation stage, North-Loup 
(14.5 ft-16.5 ft) 
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Figure B7. Stress-strain curves, I-180 and Superior St. (2.5 ft- 4 ft) 
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Figure B8. Volume change behavior during shear stage at triaxial drained test, I-180 and 
Superior St. (2.5 ft- 4 ft) 
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Figure B9. Volume change behavior during triaxial-consolidation stage, I-180 and 
Superior St. (2.5 ft- 4 ft) 
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 Figure B10. Stress-strain curves, I-180 and Superior St. (4.5 ft-6.5 ft) 
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Figure B11. Volume change behavior during shear stage at triaxial drained test, I-180 and 
Superior St. (4.5 ft-6 ft) 
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Figure B12. Volume change behavior during triaxial-consolidation stage, I-180 and 
Superior St. (4.5 ft-6 ft) 
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Figure B13. Stress-strain curves, I-180 and Superior St. (14.5 ft-16 ft) 
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Figure B14. Volume change behavior during shear stage at triaxial drained test, I-180 and 
Superior St. (14.5 ft-16 ft) 
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Figure B15. Volume change behavior during triaxial-consolidation stage, I-180 and 
Superior St. (14.5 ft-16 ft) 
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9 APPENDIX C: XRD TESTS RESULTS 
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Figure C1. XRD analysis on sample from IS-2.5, I-180 and Superior St. (2.5 ft-4 ft) 
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 Figure C2. XRD analysis on sample from IS-4.5, I-180 and Superior St. (4.5 ft-
6.5 ft) 
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Figure C3. XRD analysis on sample from IS-19.5, I-180 and Superior St. (19.5 ft-21.5 ft) 
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Figure C4. XRD analysis on sample from IS-24.5, I-180 and Superior St. (24.5 ft-26.5 ft) 
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Figure C5. XRD analysis on sample from Spencer (3 ft-4 ft). 
 
